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This study looks at the removal of longitudinal rebar splicing when sufficient 
longitudinal post-tensioning is provided for full-depth precast deck panels for simply 
supported bridges.  Full-depth precast prestressed concrete deck panels are high quality 
plant produced pretensioned panels.  They are often post-tensioned at the site to provide an 
average net compression in the joint of at least 250 psi due to effective prestress.  This is 
to ensure adequate transfer of load as truck wheels pass over the joint.  This net 
compression on the transverse joint is not explicitly clear by the AASHTO LRFD Bridge 
Design Specifications.  Based on this section, it is unclear if the use of post-tensioning that 
provides a net compression of at least 250 psi at the joint, due to effective prestress, still 
requires the coupling of rebars over the transverse joint.  However, in cast-in-place deck 
construction, no longitudinal post-tensioning is generally introduced and no transverse 
joint is required.  It is a requirement of the ASSHTO LRFD Bridge Design Specifications 
that secondary reinforcement be placed continuously along the direction of traffic.  
Following the empirical deck design in AASHTO, two-thirds of the primary transverse 
reinforcement should be provided for secondary longitudinal reinforcement.  The problem 
is observed when a number of designers insist on strictly following the code for full-depth 
  
precast deck panel designs without considering the impact of longitudinal post-tensioning 
and naively emulating cast-in-place practice without taking full advantage of precast 
concrete.  Although providing secondary reinforcement for each precast panel is possible, 
the number of splices and the number of pockets for field splicing due to these extended 
bars become a significant challenge to this type of construction.  By using sufficient net 
compression at the joint, rebar splicing can be removed.  The objective of this research is 
to investigate the post-tensioning level required to eliminate rebar splices in transverse 
joints for full-depth precast deck panels.  Two full scale full-depth precast deck panels were 
post-tensioned to multiple levels varying the net compression at the joint between 100 to 
350 psi.  Static tests with a point load simulating one-wheel load of the 32-kip axle 
multiplied by the dynamic allowance factor (1.75 for the deck joint) was applied to the 
panel-to-panel connection joint for various post-tensioning levels.  The test results show 
that when a net compression of at least 300 psi is applied at the transverse joint, rebar 
splicing is not needed.  This is supported by the lack of cracking that occurs when applying 
the 32-kip loading along the joint.    
 Testing along the longitudinal joint was also conducted as a separate research topic, 
and some of the results are presented. The main objective of this testing was to determine 
the viability of using a staggered rebar joint with a minimal joint width. This was 
accomplished by using ultra-high-performance concrete (UHPC) and self-consolidating 
concrete (SCC) with steel fibers to enhance the ductility and strength of the joint. By using 
a joint that gives sufficient development length of the bars, which is shorter for fiber 
reinforced concretes, it is shown that the joint detailing is adequate for service loadings. 
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CHAPTER 1. INTRODUCTION 
1.1. Background 
Full-depth precast prestressed concrete deck panels are high quality plant produced 
pretensioned panels.  They are often post-tensioned at the site to provide an average net 
compression in the transverse joint of at least 250 psi due to effective prestress for simply 
supported bridges.  In cases where the bridge is continuous for live load over the piers, the 
effective prestress could be as high as 700-800 psi to overcome the tensile stress due to 
superimposed dead and live loads.  Considerable amount of research has been conducted 
with the steady increase in using these full-depth precast pretensioned bridge deck panels 
for the past couple of decades, but there is limited research focusing on the net compression 
force required at the transverse joints.  Issa et al. (1998) used finite element analysis to 
suggest that a minimum post-tensioning of 200 psi be required longitudinally to secure the 
tightness of transverse joints for simply supported bridges and a level of approximately 
450 psi is required to keep the transverse joint at the interior support in compression for 
continuous bridges.  In addition, Issa et al. (2000) conducted an experimental investigation 
of these full-depth precast panels on steel stringers with parameters including three 
different post-tensioning levels (0, 208, and 380 psi) and reported that the first cracking 
load was three times higher for the bridges with post-tensioning force. 
Although the net compression on the transverse joint from all effects is not 
mandated by AASHTO, it is assumed by designers to be 250 psi to ensure adequate transfer 
of load as truck wheels pass over the transverse joint.  In cast-in-place deck construction, 
no longitudinal post-tensioning is generally introduced and no transverse joint is required.   
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The concrete placement is generally done continuously from one end of the bridge deck to 
the other.  It is a requirement of the AASHTO LRFD Bridge Design Specifications (2016) 
that secondary reinforcement in the direction of traffic be placed continuously along the 
direction of traffic.  In the “Empirical Deck Design” in AASHTO, the minimum 
longitudinal reinforcement ratio is 0.2% (0.18 in.2/ft) for the top mat and 0.3% (0.27 in.2/ft) 
for the bottom mat.  This will end up providing approximately two-thirds of the primary 
transverse reinforcement for secondary reinforcement.  Typically, #4 at 12-inch for top 
reinforcement and #5 at 12-inch for bottom reinforcement will be provided.  However, 
such reinforcement, while possible within each precast panel, is very difficult and 
expensive to extend into the transverse joint of precast decks and be required to be coupled 
or overlapped for full tension development.  In addition, U-shaped pin bars and/or lap-
splice details used in panel-to-panel connections require a wide joint or thick precast panel 
for the required lap-splice length (Badie and Tadros, 2008).  The challenge of splicing in 
these transverse joints would increase for a skewed bridge.  Such practice of splicing 
longitudinal panel reinforcement and post-tensioning ducts at each transverse panel joints 
are shown in Figure 1.1, which is the splicing details of the Boeing North Bridge completed 
in November, 2014 (Banks, Parrish, and Spry, 2015).  Even if a larger, say #6, bar is placed 
at a spacing of 24 in. is used, the number of splices and the number of pockets for field 
splicing become a significant burden on this system.  A number of designers insist on 
strictly “following the Code” without considering the impact of longitudinal post-
tensioning or the high cost of naively “emulating” cast-in-place without taking full 
advantage of precast concrete.  In fact, this could inhibit or totally eliminate use of full-
depth precast deck panels for typical structures. 
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Figure 1.1. Splicing Details of the Boeing North Bridge (Banks et al, 2015) 
A few highway agencies such as the Alaska Department of Transportation (ADOT) 
and New Hampshire Department of Transportation (NHDOT) have tried to eliminate the 
longitudinal splices for simply supported bridges (Hanna, Morcous, and Tadros, 2010).   A 
similar concept of eliminating all PT in transverse joints through external post-tensioning 
was introduced in the 2012 Virginia Concrete Conference (He, 2012) held by the Virginia 
Department of Transportation (VDOT).  At Nebraska, several bridges have been built with 
precast concrete deck panels with no rebar couples at the transverse joints.  Furthermore, 
the post-tensioning tendons have been placed only at the girder lines at a spacing of about 
10 feet.  Figure 1.2 shows a view of the longitudinal post-tensioning conducted at the girder 
lines of Skyline Drive Bridge in Omaha, Nebraska (Fallaha et al., 2004).  This is done to 
also avoid expensive and time-consuming PT coupling across the transverse joints.  The 
work done at Nebraska has resulted in a simple precast deck panel system with acceptable 
theoretical and field performance. 
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(b) Strands in position 
 
(a) Open channel over girders for longitudinal post-tensioning (c) Anchorage in end panel 
 
Figure 1.2. Skyline Drive Bridge in Omaha, Nebraska (Fallaha et al., 2004) 
1.2. Research Objective 
The objective of this research is to investigate the post-tensioning level required to 
eliminate rebar splices in transverse joints for full-depth precast deck panels.  The proposed 
research will address several issues.  First, it will review existing precast, prestressed 
concrete panel designs that include longitudinal post-tensioning to understand how the 
level of PT was determined.  Second, experimentally determine the post-tensioning level 
and examine the compression force experienced by the panels at transverse joints.  This 
will include demonstrating that the current average net compression of 250 psi applied can 
be justified.  The goal is to provide design and construction provisions that can allow 
eliminating the projection of longitudinal reinforcing bars into the transverse joints when 
using full-depth precast deck panels that will be directly integrated into the AASHTO 
LRFD Bridge Design Specifications for nationwide implementation. 
 
5 
 
1.3. Research Scope 
The research will be divided into several tasks such that a comprehensive design 
standard for full-depth precast deck panels with no longitudinal rebar splices can be 
developed and implemented.  The work plan consists of the following tasks. 
1. Review the literature and existing precast deck panel designs that does not include 
rebar splicing at transverse joints.  This will include revisiting the methodologies 
used in estimating the post-tensioning level and help compare behavior of similar 
designs with the proposed details.  Examples of such details include the Kearney 
East Bypass in Nebraska. 
2. Conduct a testing program with panel-to-panel connection with different post-
tensioning levels to confirm an average net compression force. 
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CHAPTER 2. LITERATURE REVIEW 
2.1. Introduction 
A comprehensive literature review was conducted to study what was previously 
performed for full depth precast, prestressed bridge deck panels.  Specifically, the level of 
post-tensioning utilized, and how it was determined, was further examined through 
previous studies.  While post-tensioning is commonly performed in the field, no study has 
been conducted to determine whether the longitudinal rebars need to be spliced at the joint 
or if the rebars can be left alone. Previous research contained within this chapter includes 
parametric studies and field testing and applications. 
2.2. Issa et al. (1998) 
A finite element analysis was conducted on two specific bridges, both supported by steel 
girders. One was simply supported and the other was a three-span continuous bridge. The 
bridges were examined using post-tensioning levels of 200, 300, and 400 psi. It was 
determined that a minimum post-tensioning level of 200 psi of net compression at the joint 
is needed to keep the transverse joints secured for simply supported bridges. This post-
tensioning level also accounts for the residual stresses due to creep and shrinkage of the 
concrete deck panels. After examining the three-span continuous bridge, it was concluded 
that 400 psi of net compression in the transverse joints was not enough to eliminate the 
tension due to the negative moment created from continuity. The test was ran again using 
600 psi of post-tensioning to achieve approximately zero tension in the joint. From this, it 
was interpolated that a post-tensioning stress level of approximately 450 psi is required to 
keep the transverse joint at the interior support in compression for continuous bridges. At 
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midspan, for continuous bridges, it was analyzed that a minimum stress level of 
approximately 200 psi is required. 
2.3. Issa et al. (2000) 
In this investigation, three two-span continuous bridge models were fabricated and 
tested based on the parameters from Issa (1998).  Three different variables were 
implemented for this study.  One bridge deck has no post-tensioning, one utilizes a net 
compression of 208 psi, and the other utilizes a net compression of 380 psi.  It is noted that 
a higher stress level was applied along with a larger number of cycles and fatigue stress 
ranges.  In this first test, for the panel with no post-tensioning, the first crack was observed 
at eleven kips at the joint.  This led to the separation of the panels.  In the second test, the 
first crack was observed at 35 kips but was over the central support.  After 2.5 million 
fatigue cycles at a range of four to twelve kips, no cracking was observed at the joint. For 
the third test, the first hairline crack was spotted at 40 kips in the center panel near the 
central support.  However, as loading was increased, it was observed failure was more 
prominent in the beam rather than the panels.  It was concluded that longitudinal post-
tensioning aided in delaying crack initiation.  The first cracking load was three times higher 
for post-tensioned bridges vs non post-tensioned bridges.  When the fatigue loading for the 
third test was increased, the original cracking over the central support was kept controlled 
due to the post-tensioning. 
2.4. Fallaha et al. (2004) 
The Skyline Bridge, located in Omaha, Nebraska, was a prototype for the 
NUDECK system.  It consisted of precast full depth bridge deck panels over steel beams 
that were made composite through grouted joints with studs.  One of the innovations in this 
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bridge was a unique post-tensioning system.  16 – 0.6” strands were post-tensioned in an 
open channel post-tensioning duct.  This was performed to test the eliminate the need to 
have high quality grouting for the post-tensioning ducts.  By utilizing precast concrete as 
opposed to cast-in-place, most of the creep and shrinkage occur before the deck is made 
composite with beams and/or girders.  This helps reduce any stress cracks that may occur 
because of this.  Using compression in both directions of the bridge deck panels improves 
the durability of the bridge.  While the precast concrete itself can be cost competitive with 
the CIP method, the precast concrete allows for faster construction, a higher durability, and 
less bridge maintenance is required.  While the use of precast for new or rehabilitated 
bridges has been shown before, this paper outlines the implementation of this method for 
use on an actual bridge. 
2.5. Bowers (2007) 
Mathcad was used to conduct a parametric study that investigates the trends 
between the amount of longitudinal post-tensioning needed to keep joints in compression.  
Both steel and precast girders were used for this study.  In the model, the bridge decks had 
a minimum of 5,000 psi compressive strength at 28 days.  The models utilized time 
dependency and had a level of post-tensioning used such that the transverse joints were 
still in compression at the assumed end of the bridge’s life span.  The simple span 
prestressed concrete girder models showed smaller net losses of compression with 
increasing span lengths.  The model consisting of the precast bridge deck with the precast 
girder showed lower initial compression loss than the precast decks on the steel girders.  
This is likely due to both parts of the superstructure shrinking together, as well as extra 
compression forces from the strands.  The precast bridge decks on precast girders displayed 
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greater losses of compression under the live loads than that of the steel girder bridge models 
for the continuous span study.  This was believed to be due to creep and shrinkage, 
something that the steel girders would not have.  The results of this study were that for steel 
girders with precast deck panels, an initial post-tensioning of 200 psi for one span, 650 psi 
for two spans, and 500 psi for three spans should be required.  For bridge deck panels 
utilizing the Virginia PCBT and AASHTO girder shapes, only 200 psi of net compression 
at the joint is required for all span variations. 
2.6. Badie and Tadros (2008) 
In this study, the researchers investigated full-depth precast concrete bridge deck 
systems.  The objectives of this study were to develop recommended guidelines for the 
design, fabrication, and construction of full-depth precast deck panels without the use of 
post-tensioning or any overlays, as well as to develop connection details.  While this study 
looks at removing post-tensioning through the use of longitudinal coupling of rebars, it 
discusses post-tensioning.  A post-tensioning level of 150 to 250 psi is typically used after 
seating losses. 
2.7. Sullivan and Roberts-Wollmann (2008) 
A study was performed to assess the constructability, composite action, the extent 
of creep and shrinkage affects, and the behavior of transverse joints of a precast full-depth 
bridge deck system on prestressed I-girders.  Static and cyclic tests were performed on a 
simply supported, full scale bridge.  The design of the bridge was detailed as per AASHTO 
LRFD.  Each step along the construction process was recorded to simulate the amount of 
man hours needed to implement this form of system.  Based on this study, it is shown that 
for easier construction, a female-female keyed joint that is grouted should be used to 
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connect panels.  It is also concluded that an initial prestress of 270 psi should be utilized 
so that the transverse joints are in compression throughout the life span.  This is marked as 
a recommendation for simply supported spans on prestressed I-beams.  A smaller level of 
post-tensioning may be utilized if further creep and shrinkage analysis is completed based 
on the research conducted by Bowers (2008). 
2.8. Hanna et al. (2009) 
In 2009, a parametric study regarding the transverse post-tensioning of adjacent 
box-girder-bridges was conducted. This paper analyzed the current practice and also 
examined the method currently used by the Precast/Prestressed concrete Institute. Some of 
the key conclusions from this study was that the current AASHTO LRFD specifications, 
of the time, caused an increase in the amount of needed transverse post-tensioning due to 
the live load and dynamic-load allowance. It was also noted that the bridge width and the 
girder depth appear to have the most effect on the needed transverse post-tensioning force. 
Through their research, a simplified equation was produced as a way to conservatively 
determine the amount of post-tensioning needed. 
2.9. PCI Committee on Bridges and the PCI Bridge Producers Committee 
(2011) 
In 2011, a report was generated by the PCI Committee on Bridges and the PCI 
Bridge Producers Committee titled “State-of-the-Art Report on Full-Depth Precast 
Concrete Bridge Deck Panels. The goal of this report was to provide guidance in selecting, 
designing, detailing, and constructing these full-depth panels for bridge construction. In 
Section 2.4.3, longitudinal post-tensioning is discussed. Longitudinal post-tensioning 
creates compression in the transverse joints and provides continuity between these panels. 
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This state-of-the-art report discusses how the post-tensioning should be located at mid-
depth of the panels and run along the entire length of the bridge or between the closure 
pours. It is specified in this report a minimum prestress level of 250 psi is to be used, and 
that additional prestress is needed for the live load moments in continuous spans. Creep 
and shrinkage should also theoretically be accounted for. According to the report, some 
states use around 100 to 200 psi of residual stress to account for these effects. 
2.10. Morcous et al. (2018) 
 The Kearney East Bypass project, in Kearney, Nebraska, was developed using a 
new precast deck system developed for accelerated bridge construction. In this article, the 
design, detailing, and construction process was described. A big element for this 
construction was the use of post-tensioning deviators at the ends of the bridge for the 
longitudinal post-tensioning. This study aimed at using these deviators in place of having 
to embed post-tensioning ducts and splicing them during construction, then threading and 
stressing the strands, and grouting the joint and ducts. To assess the viability of this detail, 
the strands were pre-stressed to provide a stress of 500 psi at the joint. These deviators 
allowed for the strands to be placed under the deck and above the girders. It was determined 
that these deviators provided enough anchorage to resist the pull-out force of the vertical 
aspect of the harped strands. It was concluded that this detailing is an adequate alternative 
to the way that deck panels are currently longitudinally post-tensioned. 
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CHAPTER 3. EVALUATION OF POST-TENSIONING 
LEVELS 
3.1. Introduction 
The objective of this phase of research is to investigate the required post-tensioning 
level to provide sufficient net compression in the transverse joints of full-depth precast 
deck panels connected in the longitudinal direction so that cracks are not observed for a 
design truck load.  Two full-scale precast prestressed slabs were cast by a local fabricator 
and four post-tensioning rods were used to provide multiple levels of post-tensioning.  The 
strain, crack pattern, and crack width were measured and calculated based on a digital 
image correlation technique.  
3.2. Specimen Design and Variables 
 Bridge deck panels were designed and detailed after multiple discussions with 
practitioners in a local engineering firm (e.construst) in Omaha, Nebraska as shown in 
Figure 3.1 and 3.2.  The panels are 8-ft by 20-ft and 8-in. deep.  There are twenty #5 bars 
in the longitudinal direction at 12-in. spacing for both top and bottom mat.  In the transverse 
direction, there are four low relaxation 0.6” strands provided at top and bottom mat at 24-
in. spacing, and five #5 bars provided at 21-in. spacing at top and 24-in. spacing at bottom.  
Hollow PVC pipes with 3-in. diameter were placed at 4-ft and 6-ft inwards, from each end 
in the 20-ft span.  These pipes were locations where the post-tensioning rods were placed.  
The precast panels were designed to have a shear key detail as shown in Figure 3.3 at the 
joint.   
13 
 
 
Figure 3.1. Form View of the Deck Panels (from e.construct) 
 
Figure 3.2. Section (A) View (from e.construct) 
 
Figure 3.3. Shear Key (Detail A) (from e.construct) 
 
Post-Tensioning Ducts 
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Table 3.1 shows the post-tensioning force provided by the 1-¾ inch diameter 
threaded rods.  The threaded rods were produced by the Dywidag-Systems International 
(DSI). The threaded rods (bars) had an ultimate stress of 150 ksi with a cross-sectional area 
of 2.41 square inch.  The threaded bars were anchored and post-tensioned to 72, 96, 120, 
144, and 168 kips in separate tests to provide five levels of net compression at the joint 
varying from 150 to 350 psi.    
Table 3.1. Post-Tensioning Force in the Threaded Rods 
Variable 
# 
Net 
Compression 
at Joint  
(psi) 
Bar 
Diameter 
(in.) 
Area of 
Bar 
(in.2) 
Joint 
Area 
(in.2) 
Total Post-
Tensioning 
Force  
(kip) 
Post-
Tensioning 
Force per Bar 
(kip) 
fpu (ksi) 
1 350 1.75 2.41 1920 672 168 70 
2 300 1.75 2.41 1920 576 144 60 
3 250 1.75 2.41 1920 480 120 50 
4 200 1.75 2.41 1920 384 96 40 
5 150 1.75 2.41 1920 288 72 30 
 
3.3. Specimen Casting 
Two specimens were cast and donated by Concrete Industries in Lincoln, Nebraska. 
The compressive strengths can be seen in Table 3.2.  After the two precast panels were 
placed on the supports, the transverse joint was filled with self-consolidating concrete with 
a target strength of 6,000 psi.  Concrete was obtained from a local ready-mix supplier 
(Lyman-Richey Co.).  Standard compression tests using 6 by 12 in. cylinders were 
performed to determine the average compressive strength at 7 and 28 days after the cast.  
Table 3.3 shows the test results of the measured strength. 
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Table 3.2. Concrete Compressive Strength from Concrete Industries 
At 
Release 
(psi) 
7 Day 
(psi) 
28 Day 
(psi) 
5100 7360 8490 
6940 7760 8500 
 
Table 3.3. Concrete Compressive Strength of Joint 
 7 Day 
(psi) 
28 Day 
(psi) 
4430 6320 
4810 6760 
4470 6690 
Average 4570 6590 
 
3.4. Test Setup and Test Procedure 
The testing setup was designed to load the precast panels upwards against the strong 
floor of the structure laboratory at the Peter Kiewit Institute.  The two full-depth panels 
were supported by concrete blocks spaced at 10 ft on center.  The support was created with 
one concrete block and two steel spreader beams hydrostoned on top of the concrete block.  
A steel rod was tensioned into the floor to provide a pin support between the steel spreader 
beams and the precast panel.  This can be seen in Figures 3.4 and 3.5. 
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Figure 3.4. Longitudinal Elevation View 
 
Figure 3.5. Transverse Elevation View 
The load was applied by one 100-ton hydraulic ram with a 10-in. stroke capacity 
placed on the lab floor and pushing up at the joint of the specimens creating a three-point 
bending test.  The reason these panels were tested upside down and pushed upwards is to 
be able to safely monitor the cracks shown on the top surface of the panels with a digital 
image correlation camera setup.  Hydraulic pressure was supplied with an Enerpac Z-Class 
Electric Hydraulic pump.  Two steel beams were placed on top of the precast panels at the 
location where it was supported and tie rods and bearing plates were provided at each end 
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of these channels.  The tie rods were tied down to the floor to resist the applied load with 
the strong floor.  The loading system is shown in Figure 3.6.  
 
Figure 3.6. Test Setup Photo 
Post-tensioning was applied with one 100-ton hollow-core hydraulic ram.  The 
hydraulic ram was transferred between the post-tensioning rods using the overhead crane.  
A wooden frame was built for a stack of bearing plates to rest on as shown in Figure 3.7.  
The rod was then post-tensioned to the target level for each test and unloaded after each 
testing.  A pressure transducer was placed between the hydraulic ram and the pump to 
measure the amount of force being applied on the rods.     
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Figure 3.7. Post-Tensioning Ram Setup with Plate Stack 
The Dywidag bars were post-tensioned starting with the bars located outside and 
followed by tensioning the bars located inside.  The bars were tensioned until the highest 
level of net compression in the joint was achieved.  As a next step, the ram under the precast 
panels was loaded to 32 kips to simulate an HS-20 wheel load with a dynamic load factor, 
and to include for the dead-weight of the system for this span.  This loading was applied 
slightly-off center, such that the steel plate being pressed on the slab was against the edge 
of the joint as shown in Figure 3.8.  After the target load was reached, and image data was 
collected, and the load was released down to zero.  The Dyiwidag bars were re-tensioned 
to the next level of post-tensioning.  This testing procedure was repeated until all five levels 
of net compression were tested.   
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Figure 3.8. Hydraulic Ram and String Potentiometers under the Precast Panels 
3.5. Instrumentation 
Instrumentation used for load, deflection, strain, and crack measurements in this 
testing program is introduced in this section. 
3.5.1 Load Measurements 
The point load applied from the hydraulic ram under the precast panels were 
measured using a load cell manufactured from Tokyo Sooki Kenkyujo Co., Ltd.  The load 
cell was calibrated on a Baldwin 120-kip capacity universal testing machine with an Instron 
control and data acquisition system.  The post-tensioning force applied using the hollow-
core hydraulic ram was measured using a pressure transducer manufactured from Omega 
Engineering. 
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3.5.2 Deflection Measurements 
Deflections were monitored using nine string potentiometers manufactured by 
UniMeasure Inc.  The locations of the string potentiometers are shown in Figure 3.9.  They 
are placed along the joint under the loading point near midspan, near the support, and at 
the edge of the panels.  Load and deflection data were collected through National 
Instruments NI System PXIe-1085, with the accompanying cards, and monitored at 0.17-
second intervals during testing.   
 
Figure 3.9. Location of String Potentiometers Along the Joint 
 
3.5.3 Crack and Strain Measurements 
Crack widths and strain on the concrete surface at the loading point were monitored 
using an optical method, Digital Image Correlation (DIC).  Two machine vision cameras 
were used to collect the image data.  Vic-Snap and Vic-3D is the software created by 
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Correlated Solutions, Inc. to track the sprayed paint speck patterns while the precast panel 
was being tested.  Digital Image Correlation (DIC) is an indirect way of acquiring data, 
such as displacements, crack widths, and strain values with non-contact optical sensors.  
By using two cameras, objects can be viewed in a 3D space, and can be measured through 
both the Cartesian and cylindrical coordinates.  The system is convenient, allowing data 
collection with non-contact sensors, without attaching strain gauges or connecting LVDTs 
to make measurements.   
3.5.3.1 Calibration Images for Digital Image Correlation (DIC) 
Correlated Solutions provides calibration plates in numerous sizes, depending on 
the size of the surface being imaged.  Several images are taken at various angles and 
positions to a get a full-field view.  As can be seen in Figure 3.10, a 0.79 in. plate was 
utilized.  It was chosen because it covered much of the test area in question, but was not 
excessively large.  It was shifted around to cover every spot on the view point. The 
calibration is performed over the area of interest to simulate where the pictures will be 
taken from.  Vic-3D recognizes these calibration plates by specific dots and the placement 
of those dots, as seen in Figure 3.11. 
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Figure 3.10. Calibration Image Taken from Area of Interest 
 
Figure 3.11. Calibration Plate Pattern (Correlated Solutions, 2016) 
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All the calibration pictures are taken via Vic-Snap, which allows pictures to be 
taken by multiple cameras, simultaneously.  Stereo calibration is conducted using Vic-3D 
with the photos collected.  Any score under 0.50 is considered to be fine for the stereo 
calibration but the results will be improved when the number is lower.  For this test, a 
correlation score of 0.015 was received.  The calibration helps the system to understand 
how far the cameras are spaced from each other, as well as to determine the angle the 
cameras are viewing the object from.  A manual calibration can be carried out by adding a 
fixed distance on an image, allowing the system to compute where the cameras are located.  
The stereo calibration was utilized for this test, and the accompanying score can be seen in 
Figure 3.12. 
 
Figure 3.12. Stereo Calibration from Vic-3D 
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3.5.3.2 Speckle Patterns for Digital Image Correlation (DIC) 
In order to acquire successful image data, the area being observed needs to be 
painted so that the base layer and the pattern of speckles have high contrast.  Therefore, a 
simple and efficient method is to paint multiple white layers then add black speckles, or 
paint black layers with white speckles added.  The former was employed for this test.  The 
strain measurements will be improved when the speckles are in a random pattern.  The area 
of interest was painted in multiple layers with a white spray paint.  After the white spray 
paint layers dried, pressure was applied to the top of a can of black spray paint so that the 
paint spurted out, resulting in a random pattern of small black dots.  The speckle patter 
applied on the deck panel can be seen in Figure 3.13. 
 
Figure 3.13.  Speckle Pattern on the Deck Panels 
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3.5.3.3 Data Acquisition 
After image calibration is complete, and the DIC system understands the 
positioning of the two cameras through the stereo calibration, an initial photo is taken at 
the position before any loading is applied.  This image becomes the reference image for 
strain calculations.  While the system can be set to automatically take pictures every certain 
amount of times per second, pictures were manually grasped with every small load 
advancement.  Figure 3.14 shows the reference image with the area of interest selected.  
This area is manually drawn either as a rectangle, circle, or manual polygon.  The yellow 
subset grid of size 35 can also be seen in Figure 3.14.  However, this value varies between 
the different tests, and is based on the uncertainty interval.   
 
Figure 3.14. Reference Image with the Area of Interest and Subset Size 
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 Figure 3.15 shows the uncertainty interval within the selected area of interest.  The 
suggested subset size was utilized.  The software, Vic-3D 7, chooses a subset size such that 
the software has a confidence of 0.01 pixel for a given assumed noise level (Correlated 
Solutions, 2016).  As for the step size, the greater the step size, the greater the spacing 
between each point in the analysis.  For example, a step size of three would indicate that 
every third pixel, and the accompanying pattern inside of it, would be utilized for analysis.  
Therefore, the more minute the step size, the lengthier the processing. 
 
Figure 3.15. Uncertainty Interval of the Area of Interest for 250 psi Test 
 Correlated Solutions states that the default step size of eight works well for most 
cameras.  However, for this experiment, a step size of two was decided upon.  This 
determines, and is also dependent on, the filter size, that is discussed in the next section.  
In Vic-3D, the coordinate system can be setup in any way.  For these tests, the X direction 
was the horizontal plane, the Y direction was the vertical plane, and the Z direction was in 
and out of the plane.  The analysis was completed, and the displacements in a general X, 
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Y, and Z directions were found.  The relative displacements U, V, and W, which are in the 
X, Y, and Z directions, respectively, are shown in Figure 3.16 through Figure 3.18.   
 
Figure 3.16.  Relative Displacements, U, in the X-Direction for 250 psi Net 
Compression 
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Figure 3.17.  Relative Displacements, V, in the Y-Direction for 250 psi Net 
Compression 
 
Figure 3.18.  Relative Displacements, W, in the Z-Direction for 250 psi Net 
Compression 
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In Figure 3.16 and Figure 3.17, obvious lines of separation are noticed.  This is due 
to the cracking that had started to form by this point in the testing.  It shows that on either 
side of those lines, that the objects are starting to move away from each other, based on the 
contours.  From Figure 3.18, at a post-tensioning level of 250 psi, the precast deck panel 
displays uniform displacement, in general.  Both the joint and the bottom part of the contour 
show a green and yellow, with a little bit of blue.  The exception is the red regions near the 
middle.  This is likely due to the cracking that had started to occur at the joint or due to the 
placement of the loading plate underneath the panels. 
3.5.3.4 Post-Processing 
As was mentioned prior, a step size of two was utilized.  This means that every 
other pixel is taken into account when determining displacements.  Because of this, a filter 
size of 251 was used with engineering strain as the filter type.  Engineering strain isreferred 
to as Cauchy strain for this application.  Cauchy strain is derived from the Lagrangian 
strain. The Lagrangian equation used is:  
  =  +
	
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Eq. 3.1 
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Eq. 3.2 
The three main forms of strain within this project are exx, eyy, and e1.  exx is the strain 
along the horizontal axis, which is the x-axis in this application.  eyy refers to the strain in 
along the vertical axis, which is the y-axis.  e1 is referred to as the principal strain.  This 
was the value that was focused on. Based on the information provided, it is the max strain 
value at any given section.  This would mean that it would combine exx and eyy and take 
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the larger value at any point that the system calculated the strain for.  Therefore, e1 is the 
combined contour of maximum strain values, both positive and negative. 
Using a small step size with a large filter size gives a very smooth result and reduces 
noise in the system.  However, the processing time is increased substantially.  According 
to Correlated Solutions, a step size of eight can be used for most applications.  This was 
computed, and gave a comparable result when using a filter size of 63.  This is due to the 
relationship between step size and filter size.  However, for this study, the small step size 
and large filter size combination was utilized.  This analysis would take the longest, but 
results in the smoothest contours. 
3.6. Test Results 
The following sub-sections provide the test results of the three-point bending 
flexural static test under different levels of post-tensioning for the bars running in the 
longitudinal direction. 
3.6.1 350 psi Net Compression at the Joint 
 This section provides the test results of the three-point bending test on the 
specimen under a post-tensioning force of 168 kips per bar, resulting in a net compression 
of 350 psi at the joint.  Based on Vic-3D, the deflection of the slabs, under a 32 kip point-
load, can be seen in Figure 3.19.  This is compared to the displacement data from the string 
potentiometers, in the form of a load-displacement chart, seen in Figure 3.20.  This is to 
help verify the accuracy of Vic-3D by being able to observe that the two displacements are 
comparable.  From the Vic-3D pictures, the strain diagram for e1 was created, and can be 
seen in Figure 3.21.  In order to display comparable figures, lower and upper values were 
set for the displacement and strains.  The displacement was limited between 0.060 inches 
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and 0.093 inches.  The lower bound for the strain along the x-axis, exx, is -60 microstrain 
with an upper bound of 515 microstrain.  For eyy, the strain along the y-axis the values were 
limited to -580 and 2,640 microstrain.  The limiting values for the principal strain, e1, was 
a lower bound of 20 microstrain and an upper bound of 2,640 microstrain.  The strain value 
definitions are the same as previously defined in Section 3.5.1.4. Based on this test, there 
was no discernable cracking at this level of post-tensioning.  However, it was determined 
that the cracking strain is approximately 1.3 x 10-4, which is about three times larger than 
that of the maximum strain displayed at this level of post-tensioning.  It is reasonably 
assumed that cracking was not observed due to either the modulus of rupture, fr or modulus 
of elasticity, Ec, being scatter data and therefore only give an approximation, as well as due 
to the possibility of the post-tensioning aiding in crack control, as was observed in prior 
studies.  Along the joint, there was about 0.6 in. of displacement according to Vic-3D.  The 
deflection displayed is similar to that of the string potentiometers. 
 
Figure 3.19. Relative Displacement Along the Z-Axis from Vic-3D for 350 psi 
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Figure 3.20. Load-Displacement Results from the String Potentiometers for 350 psi 
 
Figure 3.21. exx Strain for 350 psi 
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Figure 3.22. eyy Strain for 350 psi 
 
 
Figure 3.23. e1 Strain for 350 psi 
 
 
34 
 
3.6.2 300 psi Net Compression at the Joint 
This section shows the test results when using a net compression of 300 psi at the 
joint, using the same setup and procedure as Section 3.6.1.  The results can be seen as 
follows.  The same scenario exists for this trial, where it shows obvious signs of tension at 
specific locations.  However, no cracking is visible at this post-tensioning level.  Only 
higher tension in specific regions can be concluded.  It is also observed that there is little 
change in the strain between at net compression of 350 psi and 300 psi. 
 
Figure 3.24. Relative Displacement Along the Z-Axis from Vic-3D for 300 psi 
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Figure 3.25. Load-Displacement Results from the String Potentiometers for 300 psi 
 
Figure 3.26.  exx Strain for 300 psi 
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Figure 3.27. eyy Strain for 300 psi 
 
Figure 3.28. e1 Strain for 300 psi 
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3.6.3 250 psi Net Compression at the Joint 
 This section shows the test results when using a net compression of 250 psi at the 
joint, using the same setup and procedure as Section 3.8.1.  The results can be seen as 
follows.  At this level of post-tensioning, cracking was not apparent on the pictures that 
were taken by Vic-3D.  However, when looking at it up close, hairline cracks were 
observed.  Specifically, there was one crack forming across the joint in the longitudinal 
direction (parallel to the direction of post-tensioning), and another crack starting to form 
transversely along the boundary between the joint and the slab.  As before, the value of the 
tension strain continues to increase as the post-tensioning force is lowered. This is observed 
by the horizontal light blue band that has appeared. 
 
Figure 3.29. Relative Displacement Along the Z-Axis from Vic-3D for 250 psi 
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Figure 3.30. Load-Displacement Results from the String Potentiometers for 250 psi  
 
Figure 3.31. exx Strain for 250 psi 
39 
 
 
Figure 3.32. eyy Strain for 250 psi 
 
Figure 3.33 e1 Strain for 250 psi 
3.6.4 200 psi Net Compression at the Joint 
 This section shows the test results when using a net compression of 200 psi 
at the joint, using the same setup and procedure as Section 3.6.1.  The results can be seen 
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as follows.  At this point, the cracks became more clear and higher values are observed.  It 
is also apparent that while the overall deflection is lower, it is starting to increase steadily.  
250 to 350 psi of net compression showed displacements, in general, lower than 0.1 inch. 
at the 32-kip loading.  However, the displacement is now starting to peak at a higher value.  
The principal strain is now appearing with a green band. 
 
Figure 3.34. Relative Displacement Along the Z-Axis from Vic-3D for 200 psi 
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Figure 3.35. Load-Displacement Results from the String Potentiometers for 200 psi 
 
Figure 3.36. exx Strain for 200 psi 
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Figure 3.37. eyy Strain for 200 psi 
 
Figure 3.38. e1 Strain for 200 psi 
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3.6.5 150 psi Net Compression at the Joint 
 This section shows the test results when using a net compression of 150 psi at the 
joint, using the same setup and procedure as Section 3.6.1.  The results can be seen as 
follows.  Tests conducted at this level of post-tensioning show that cracking is apparent, 
but not yet large enough for the system to recognize all of it.  While there is one spot where 
the system cannot read data, a large transverse crack can be seen in the preceding pictures.  
This is observed by the now red band that runs horizontally across the preceding figure. 
 
Figure 3.39. Relative Displacement Along the Z-Axis from Vic-3D for 150 psi 
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Figure 3.40. Load-Displacement Results from the String Potentiometers for 150 psi 
 
Figure 3.41. exx Strain for 150 psi 
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Figure 3.42. eyy Strain for 150 psi 
 
Figure 3.43. e1 Strain for 150 psi 
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3.7. Failure Loading at 250 psi Net Compression at the Joint 
After all the other tests have concluded, the bars were re-tensioned to 120 kips each, 
to create a 250-psi net compression at the joint.  The bars were only previously tensioned 
to about 47% tensile capacity, so there was no worry about yielding them prior to this test.  
For this trial, the ram was loaded until there was failure within the system.  The steel beams 
used to anchor down the slabs had started to bend, and the deck panels stopped taking any 
further loading.  The test was stopped at this point as a result of the testing frame failing 
under the applied load.  The relative displacement in the Z-axis from Vic-3D can be seen 
in Figure 3.44 and the load-deflection curve can be seen in Figure 3.45 .  The strain values 
exx, eyy, and e1 can be seen inFigures 3.46, 3.47, and3.48, respectively.  It is noted that there 
is significant cracking, and Vic-3D could not compute strain at these points after enough 
cracking had to occur.  The peak loading taken at this time was about 58.6 kips.  As 
expected, the width of the cracks grew large enough that Vic-3D could not compute the 
results at failure, but were small enough in the previous tests that final strains and 
displacements could be computed.  During this test, the beams being used as girder lines 
were starting to bend.  Therefore, the test after this point would likely not be applicable to 
in-field applications, as the girders would actually be much stiffer than the ones being used 
for this experiment.  It should also be noted that only the transverse crack was 
distinguishable and displayed higher strain values at this region.  Once the joint started to 
split from the slab, the longitudinal crack in the joint stopped expanding and the tension 
force that was present there shifted to this transverse crack. 
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Figure 3.44. Relative Displacement Along the Z-Axis from Vic-3D for 250 psi, 
Loaded until Failure 
 
Figure 3.45. Load-Displacement Results for 250 psi, Loaded until Failure 
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Figure 3.46. exx Strain for Failure Load 
 
Figure 3.47. eyy Strain for Failure Load 
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Figure 3.48. e1 Strain for Failure Load 
CHAPTER 4. LONGITUDINAL JOINT TESTING 
4.1. Introduction 
The objective of this phase of research is to investigate the shear and moment 
capacity of the new type of mechanical connection that was tested in small-scale as a proof 
of concept, in full-scale with the cross sections that would be used in the field.  In this 
phase of research, a single full-scale formwork was constructed which allows to build 
multiple sections including a 1) 8 ft wide section that is 1 ft deep, which is similar but wider 
than the plank sections that are currently being used in Nebraska counties, 2) 8 ft wide 
section that is 2 ft deep, which can span up to 50 ft, and 3) 8 ft wide section that is 3 ft 
deep, which can span up to 60 ft.  One formwork will allow casting all three sections which 
may serve most of the Nebraska county bridges applications.   
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For this testing program, 8 ft wide, 2 ft deep cross section which can span up to 50 
ft was cast and divided into five 10 ft long specimens to test out multiple types of joints.  
Five sets of these specimens were cast.  One set of these 10 ft long sections was connected 
with a mechanical connection proposed in Chapter 3.  In addition to the mechanical joint 
with self-consolidating concrete grout, a staggered rebar splice joint grouted with a 
commercial mix of ultra-high-performance concrete, new types of Nebraska fiber-
reinforced high-performance concrete, a new type of super high-performance concrete, and 
ultra-high-performance concrete was tested additionally to evaluate various types of joint 
systems.        
4.2. Literature Review 
4.2.1 Introduction 
Many of the Nebraska county bridges needing replacement are in the 30 to 60 ft 
range.  This span range appears to be lacking a standard design that fits Nebraska county 
practices in terms of speed and simplicity of construction.  The current systems being used 
are 1) precast one by two feet planks which can span up to 30 ft (heavily used in Nebraska 
counties), 2) cast-in-place slab bridges which can span up to 50 ft but require extensive 
field formwork, concrete placing, curing, and are best when constructed in three-span units, 
and 3) inverted tees which can span between 40 to 80 ft, but require cast-in-place decks.  
This section provides a literature review regarding cross sections (including solid planks, 
void planks, box beams, and stemmed members) that can span up to 60 ft and are adjacent 
to each other (butted up against each other).  Previous research that includes computational 
analysis, experimental testing, field monitoring, or synthesis studies of the cross sections 
mentioned above are provided in this section. 
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4.2.2 Computational Analysis  
4.2.2.1 Pool et al. (1965) 
The experimental and numerical studies conducted by Newmark and Siess (1942) 
provided the guidelines for the load distribution factors that were introduced in the earlier 
AASHTO Standard Specifications for Highway Bridges (1957) which was a study of 
simple-span I-Beam bridges.  Based on these earlier studies conducted at the University of 
Illinois, Pool et al. (1965) evaluated multibeam bridges (Figure 4.1) and suggested a 
method of calculating joint forces in the longitudinal shear keys through numerical studies.   
 
Figure 4.1: Multibeam Bridge with Longitudinal Shear Keys (figure retrieved from Pool et 
al. 1965) 
Five multibeam bridges with four or eight elements were used in the parametric 
studies of this research.  The authors assumed that the longitudinal shear keys that are used 
to connect these individual elements are a continuous hinge that transmits longitudinal, 
lateral, and vertical force at the joint and has no relative displacements.  A number of tables 
that consisted of the longitudinal, lateral, and vertical joint forces for a concentrated wheel 
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load applied at specific locations were reported.  The tabulated results can be applied to 
similar types of structures and multi-beam bridges that are solid planks, hollow sections, 
or box cross sections.  The conclusions of this study found that there are discontinuities in 
the longitudinal joint forces where the concentrated wheel load was applied.  Lateral and 
vertical joint forces were distributed along the joint as the wheel loads passed over the 
bridge.  However, high concentrated forces will not be observed in an actual bridge as 
shown in this study if lateral post-tensioning is present.  This research at the end concludes 
that the limitations of the study can be corrected through further experimental research on 
shear keys to adequately model the joint behavior. 
4.2.2.2 Jones (1999, 2001) 
The research team at the Texas A&M University looked into the lateral distribution 
factors of multi-beam prestressed concrete box girders with a composite concrete deck slab 
for twenty-two Texas Department of Transportation bridge configurations.  The springs 
that were implemented in these models at the grouted joints for parametric studies 
considered the longitudinal, lateral, vertical, and rotational stiffness in the transverse 
direction (Figure 4.2).   
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Figure 4.2: Four Spring Models connecting Adjacent Beams (retrieved from Jones, 1999) 
This research team conducted further studies on the lateral connection of double tee 
bridges and looked into various keyway details for multi-beam bridges.  As a result of this 
study, Jones (2001) proposed a new connection detail (Figure 4.3) for these types of bridges 
and evaluated the new connection behavior through static and cyclic testing.   
 
 
 
 
Figure 4.3: New Types of Keyway Details introduced in Texas Study for Double Tee 
Multibeam Bridges (retrieved from Jones, 2001) 
4.2.2.3 Hanna et al. (2011) 
 In this study, Hanna et al. (2011) suggested a different approach on how adjacent 
box beam bridges should be designed without having post-tensioned transverse 
connections.  Instead of post-tensioning the adjacent girders, the research team looked into 
two different joint systems that eliminate the need for post-tensioning, diaphragms at the 
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end and intermediate supports, and a cast-in-place concrete topping.  Both connection types 
(the wide-joint or narrow-joint shown in Figure 4.4) utilized the AASHTO PCI box section.  
The wide-joint system connected the top and bottom flange by a ¼ in. confinement spiral 
around high tensile coil rods with an extra cavity formed out to allow development length 
to take place.  To reduce the cost of the wide-joint system, the research team recommended 
using self-consolidating concrete in the shear keys to reduce the time and cost associated 
with grouting.  The narrow-joint system utilized a ¾ in. diameter threaded rod at every 
eight feet with a 5 in. long coupling nut to connect the two pieces at the top and bottom. 
  
Figure 4.4: Wide-joint and Narrow-joint Connection Details introduced in Nebraska Study 
(retrieved from Hanna et al., 2011) 
Both of these joints were modeled as shell and frame elements to develop design 
charts before testing an actual specimen.  These design charts displayed the required 
tension force in the connection for various bridge widths, and span-to-depth ratios.  Based 
on these parametric studies, the research team built three specimens to verify their design 
charts.  An IDOT connection using diaphragms and a single mid-level transverse tie, the 
narrow-joint connection, and the wide-joint connection made up the three specimens to be 
tested.  All three connections were tested both under static and fatigue load conditions.  The 
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moment capacity of the IDOT system with a 5 in. non-composite concrete topping was 179 
kip-ft while the wide-joint system achieved a capacity of 126 kip-ft.  The narrow-joint 
system achieved a moment capacity of 119 kip-ft.  The research team compared these test 
results to their finite element models and found a difference of 19%, 0.8%, and a 30.3% 
between the theoretical capacity and the actual tested capacity for IDOT connection, wide-
joint connection, and narrow-joint connection, respectively.  With this data the research 
team concluded that the connections could be designed to achieve comparable results 
without diaphragms or post-tensioning, which would be an economical and practical 
alternative. 
4.2.3 Experimental Testing, Field Monitoring, and Forensics 
4.2.3.1 Stanton and Mattock (1986) 
This research conducted at the University of Washington was another milestone 
study that newly included the load distribution factors for precast multi-beam bridges 
which was not introduced in the earlier 1983 AASHTO Standard Specifications for 
Highway Bridges that was based on the studies completed in University of Illinois.  Stanton 
and Mattock (1986) found through their parametric grillage analysis that the span-to-width 
ratio and the ratio of flexural-to-torsional stiffness are the most important factors in load 
distribution in these multi-beam systems and the results of their study will apply to multi-
beam bridges with any cross section.  The authors stated that unless the bridge is very short 
and wide, the load distribution factor introduced in this study can be applied to various 
single-stem and multi-stemmed precast bridge sections.  The live load distribution per lane 
for moment in interior beams tabulated in Table 4.6.2.2b-1 in the current AASHTO LRFD 
Bridge Design Specifications (2016) is based on the results of this study. 
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This research also looked into the details of the connections in precast multi-beam 
bridges.  The authors conducted a nationwide survey that was collected through state and 
county bridge engineers and precast producers who provided details for the different shear 
keys they used (Figure 4.5).   
 
 
Figure 4.5: Examples of Shear Keyway Details (retrieved from Stanton and Mattock, 1986) 
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The survey showed that standard design and details were lacking in these 
connections and that most of the joints were designed based on previous experience or so 
called “rules of thumb”.  As a result, Stanton and Mattock (1986) evaluated the shear 
strength of a typical type of joint (grouted shear keys and welded connectors) through 
experimental testing and suggested a shape for grout keys (Figure 4.6).  The authors did 
recommend that further research should be conducted to verify the local joint forces in 
grouted joints caused by wheel loads.   
 
Figure 4.6: Recommended Shape of Grout Key from University of Washington Study 
(retrieved from Stanton and Mattock, 1986) 
4.2.3.2 Huckelbridge et al. (1995) 
A series of field tests were conducted by researchers (Huckelbridge et al., 1995) at 
the Case Western Reserve University to evaluate the shear key performance of adjacent 
multibeam box girder bridges in Ohio.  The typical grouted shear keys at the longitudinal 
joints between adjacent girders are shown in Figure 4.7.  The relative displacement between 
the girders across joints were measured through multiple passes by a pre-weighted, tandem-
axle dump truck.  All six bridges that were monitored throughout this process showed 
58 
 
differential displacement across joints indicating fractures in the grouted keys.  It is 
interesting to note that this research also identified that the typical tie bars that were used 
by the Ohio Department of Transportation at the time of research (1 in. diameter mild steel 
tie bar at distances up to 25 ft) at the girder mid-height in transverse diaphragms had little 
effect and still should signs of shear key failure and relative deflection between girders. 
The research team recommended moving the shear key to neutral axis of the box girder 
section.     
 
Figure 4.7: Grouted Shear Keyway Detail for Adjacent Box Girders (retrieved from 
Huckelbridge et. al., 1995) 
4.2.3.3 Miller et al. (1998) 
Full-scale testing on adjacent box girder bridges were conducted by Miller et al. 
(1998) at the University of Cincinnati to evaluate the grouted shear keys under temperature 
and cyclic loads.  The variables selected for the full-scale testing includes 1) a non-shrink 
grout at the top keyway, 2) an epoxy grout at the top keyway, and 3) non-shrink grout with 
the keyway located near the neutral axis of the girder (lowered keyway – see Figure 4.8).  
One of the keyways were grouted in late fall while the other two keyways were constructed 
during summer.  All of the cracks initially found in the keyway were initiated through large 
changes in strain due to temperature change.  Based on the fatigue test with HS20-44 truck 
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wheel load, it was observed that no additional cracks initiated due to the cyclic loads other 
than the crack formed due to thermal loads.  However, the cracks formed through 
temperature changes did propagate further into the section due to the truck load.  The 
specimen with a non-shrink grout keyway that was placed at the top of the girder was 
subjected to 41,000 cycles while the other two specimens were loaded up to 1,000,000 
cycles.  It was observed that epoxy grout did work well but the difference in coefficient of 
thermal expansion with concrete could cause high stresses in the keyways and this research 
team believed more studies would be required with epoxy grouts.  Although, some cracks 
were still found, this research study concluded that the neutral axis keyway performs better 
than top keyways and recommended that the keyways in most of the partial-depth joints 
should be moved down to the neutral axis of the girder. 
 
Figure 4.8: Top and Suggested Lower Keyway (retrieved from Miller et. al., 1998) 
4.2.3.4 Naito et al. (2010) 
In 2007, the state of Pennsylvania had 3,291 adjacent prestressed box beam bridges 
in service and of those 590 were labeled as structurally deficient.  On December 27th, 2005 
a fascia beam of the Lake View Drive Bridge in Pennsylvania failed under service loading 
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(Figure 4.9).  Although these incidents are never welcomed, it did allow a team of 
researchers (Naito et al., 2010) to investigate what caused this bridge to fail.  This bridge 
was inspected by the state in 2004.   
 
Figure 4.9: Forensic Examination of Non-composite Adjacent Precast Prestressed Concrete 
Box Beam Bridge Failure in Pennsylvania (retrieved from Naito et al., 2010) 
From this inspection it was noted that an impact may have happened to a specific 
beam, and that 20 of the 60 strands were broken in that member.  The other members were 
only moderately damaged and the bridge was rated as poor (four on a scale of zero to nine).  
Beam replacement was labeled as a priority.  It was later discovered after the collapse 
through inspection that 39 of the 60 strands were severely damaged through corrosion and 
it was believed that there was no indication of an impact before the collapse.  This bridge 
had four spans each of which had eight pretensioned box beams with an approximate two-
inch bituminous overlay with no water-proofing membrane.  The bridge beams were 
poured and erected in 1960.  The clear cover from the strands to the exterior surface for the 
beam that collapsed ranged from 1 foot and 5/16 inches to 1 foot and 9/16 inches which 
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met the 1953 AASHTO Standard Specifications for Highway Bridges but had less than the 
minimum cover of 1.5 inches specified by the 1965 AASHTO specifications.   
The next item the research team investigated was the shear reinforcement.  The 
shear stirrups were not placed below the bottom layer of prestressing strands and for the 
ease of construction an L-shape was used and placed between the first and second layer of 
strands which was common practice at the time the bridge was constructed.  It should be 
noted this is no longer a standard practice.  It was also found that many of the top and 
bottom L-shaped stirrups were not physically lap-spliced in the middle and were separate 
from each other.  Due to this lack of splice contact and also the short development length 
provided (12 in.), the authors were concerned about the shear capacity for these box girders.  
An interesting note for this bridge was the way in which the void was formed and the drains 
that were used.  The voids were constructed with the use of cardboard void forms.  It was 
found that these forms moved during concrete placement and created a final product that 
did not match the design drawings with regards to wall thickness.  In the late 1950’s, ¾ 
inch diameter drains were placed in both the top and bottom flange.  These drains allowed 
moisture to enter the void and wet the cardboard.  This cardboard eventually degraded and 
possibly blocked the exit drains leading to excess water being held inside the void.  The 
excess water not only added to the potential corrosion of strands but also increased the total 
live load on the member.  Both air content and concrete strength were found to be within 
the design requirements.  Upon investigation it was found that over 40% of the strands 
were found to be in serious or critical condition, which means that the strands were 
deteriorated to a point that seriously affected the primary structural components of the 
bridge and corrective action was needed based on the PennDOT Superstructure Condition 
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Rating Guidelines.  With all the forensics of this bridge, there were two major takeaways 
with respect to bridge inspection and evaluation that the research team suggested to prevent 
a similar failure.  The first was to deduct 125% of the total cross-sectional area from all 
exposed strands when calculating the structural capacity.  The other suggestion based on 
the observations of this collapse case was that strands adjacent to or intersecting a crack 
should not be considered as an effective strand due to possible corrosion. 
4.2.4 Synthesis Study 
4.2.4.1 El-Remaily et al. (1996) 
Researchers at the University of Nebraska (El-Remaily et al., 1996) took an in-
depth look into the transverse design details of adjacent precast prestressed concrete box 
girder bridges in the United States and in Japan.  Their research began looking into current 
practices here in the United States and associated problems with the current practice that 
have been recorded during bridge inspections.  The surveys showed it was commonly noted 
that there was longitudinal cracking along the grouted shear keys with reflective cracking 
in the overlay above the shear keys.  These cracks often lead to penetration of water and 
chemicals that later creates spalling, staining, and reinforcement corrosion.  When 
reviewing the common practice in Japan it was noted that the box girders were very similar 
in design, except for the shape and size of the shear keys which were much larger than the 
ones in the US.  In addition, higher levels of transverse post tensioning were used in Japan 
compared to the practice in the US.  This practice in Japan led to longitudinal cracking to 
be seldom reported.  After comparing the practices in both countries, El-Remaily et al. 
(1996) proposed a modification to the common practice in the United States.  A design 
chart consisting of the required effective prestressing force at the diaphragm in the midspan 
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for various bridge widths for four standard AASHTO-PCI box girders (depth of 27, 33, 39, 
and 42 in.) were provided in this study.  The study states that the required post-tensioning 
force for the quarter-point diaphragms are found to be similar with the force required in 
the midspan.  For the end diaphragms, the study suggests to provide a minimum of 250 psi 
for effective post-tensioning stress.  All of these post-tensioning forces are recommended 
to be applied through tendons at both the top and bottom in order to provide sufficient 
flexural strength.  Based on the recorded history of Japanese bridges the researchers believe 
this would be an economical solution to increase the longevity of adjacent precast 
prestressed concrete box girder bridges in the United States.  
4.2.4.2 Hanna et al. (2009) 
Hanna et al. (2009) looked into the design practice of transverse post-tensioning of 
precast, prestressed adjacent-box-girder bridges (Figure 4.10) and provided an extensive 
literature review.  Based on their literature review, they stated that the current design 
practice of box girder bridges without post-tensioning often leads a recurring problem of 
longitudinal cracking along the grouted joints.  They introduced a bridge failure that took 
place in Pennsylvania on December 27, 2005 and in a railroad bridge in Nebraska in 2007 
that had a similar design.  Hanna et al. (2009) also introduced numerous practices across 
the United States, Canada, Japan, and Korea including composite or non-composite 
systems, full-depth or partial-depth shear keys, and designs with or without the presence 
of post-tensioning. 
The team noted a particular study that looked into practices in the state of New 
York (Lall et al., 1998).  After 1992, the state of New York changed their design standards 
for precast concrete girders 1) to have full-depth shear keys, which was only about 12 in. 
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from the top previously, and 2) to increase the number of transverse tendons to three for 
short span bridges less than 50 ft which had no transverse tendons prior to 1992.  Lall et 
al. (1998) reported that after the standards were implemented only 23% of these types of 
bridges built within the three-year span after the change showed longitudinal cracking in 
the joints.   
 
Figure 4.10: Various Practices in Adjacent Box Girder Bridge Design and Details (retrieved 
from Hanna et al., 2009) 
Another study (Greuel et al., 2000) introduced a high performance concrete 
adjacent box girder bridge built by the Ohio DOT which consisted of a shear key at the 
mid-depth of the section.  These girders were transversely tightened with threaded rods at 
the ends and quarter points of the bridge.  The bridge was loaded with four DOT trucks 
and the girders were observed to be working together based on the smooth deflection curve 
the girders created.  Lall et al. (1998) also listed the recommendations and input provided 
from the PCI subcommittee survey conducted through the 29 states and 3 provinces in 
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United States and Canada regarding the lessons learned from the design and construction 
of adjacent box girder bridges.  A few preventive actions that can be taken to reduce or 
eliminate the cracks that were reported from many transportation agencies that participated 
in the survey.  These suggestions  included 1) having a cast-in-place concrete deck on top 
of the adjacent girders, 2) using non-shrink grout, 3) using full-depth shear keys rather than 
partial-depth keys, 3) applying transverse post-tensioning that helps with load distribution, 
minimizes differential deflections, and minimizes longitudinal cracking, 4) having 
intermediate and end diaphragms to provide necessary stiffness in the transverse direction, 
5) including wide bearing pads and seats to eliminate rocking while grouting the joints, and 
6) eliminating the use of welded connections between adjacent girders that cause 
inadequate sealing of joints.   
Based on the extensive literature review, Hanna et al. (2009) emphasized the needs 
in studying the amount of post-tensioning needed to limit the differential deflection 
between girders.  They finalized the study by conducting a parametric study using grid 
analysis to find the required amount of effective post-tensioning force for different bridge 
widths, depths, span lengths, and skew angles.  They provided a simplified formula that 
gives a conservative estimate of the required transverse post-tensioning force for various 
conditions and also provided a useful design example for a single span bridge as a 
summary. 
4.2.4.3 Russell (2011) 
This research provides a summary of design, construction, maintenance, and 
inspection practices for adjacent precast concrete box beam bridges.  From a nationwide 
survey conducted through a NCHRP Synthesis 393 (Russell, 2009) study, it was reported 
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that approximately two-thirds of the state departments of transportation use adjacent box 
beam bridges.  The two major problems identified were longitudinal crack along the joint 
and water and chloride penetration through the joint (Figure 4.11).  Most of the state 
departments of transportation reported that sufficient transverse post-tensioning and the 
use of concrete topping slab would be the most effective way to increase the long-term 
performance.  In addition, most of the longitudinal keyways between these adjacent beams 
were reported to be partial depth and it would be beneficial to require full-depth shear keys 
in design to increase the long-term performance of these structures. 
Figure 4.11: Major Problems reported in Adjacent Beam Bridges: Longitudinal Crack 
along the Joint and Water and Chloride Penetration (retrieved from Russell, 2011) 
4.2.5 Summary 
Based on the literature review that includes computational analysis, experimental 
testing, field monitoring, and synthesis studies on bridges with adjacent beams it is obvious 
that the lateral load distribution and load transfer between individual beams are highly 
dependent on the keyway joint details.  Although, many different types of shear keyway 
details were developed from the nationwide surveys and field measurements, it was 
identified that these grouted joints still crack, create longitudinal cracks on top of the bridge 
deck, and create a path for water or chloride leakage.  Many of the state and county 
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engineer, and precast producers identified that the solutions to this recurring problem could 
be 1) providing a full-depth shear key, 2) post-tensioning the adjacent beams in transverse 
direction, or 3) topping these adjacent beams with cast-in-place deck.  The objective of this 
research is to suggest a standard design that can span up to 40 to 60 feet (high needs in 
Nebraska counties) while retaining the ease of construction factor presented by the plank 
design.  In order to resolve the problems seen in this literature survey without complicating 
the construction for counties (not introducing post-tensioning, or including cast-in-place 
decks), this study is suggesting a “flexible” precast cross section (Figure 4.12), which is 8 
ft wide and depending on the span length varies the depth to be between 1 to 3 ft.  This 
cross section includes the deck which reduces the cast-in-place construction and is wider 
than a typical single tee section.  The width of the web is wider than the typical single tee 
cross section but is shallower than a typical bulb tee and is stable enough to stand alone.  
With an 8 ft wide cross section, that is not very different than a wider plank with a stem in 
the middle, this section will create smaller number of joints for a typical county bridge that 
has a width of 25-35 ft.   The total weight for these cross sections would be 13, 22, and 40 
tons for a span length of 30, 40, and 60 ft span length, respectively. This would allow Type 
I, II, and III cross sections shown in Figure 2.12 to be handled easily using the county level 
cranes.  Concrete diaphragms can be added at the ends to increase the stability at supports.  
This study will conduct small-scale and full-scale testing on various types of joint details 
for this cross section and also investigate the possibilities of implementing high-strength 
steel reinforcement as main reinforcement. 
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Figure 4.12: Proposed Standardized “Flexible” Cross Section for Nebraska 
County Bridges 
4.3. Specimen Design 
Each specimen was a 10 ft long T-beam that measured 8 ft wide and had a 28.5 in. 
deep, 14 in. wide stem as shown in Figure 4.13.  The top flange depth was 7.5 in.  Shear 
keys were provided along the length of each specimen and a total of five specimens were 
cast together.  A second pour followed to create the adjoining specimens.  All specimens 
had a top and bottom mat of No. 4 bar while the stem had 8 No. 11 bars at the bottom.  No. 
4 stirrups were provided as transverse reinforcement.  All bars were high-strength ChromX 
9100 bars from MMFX Technologies with a yield strength of 130 ksi. 
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Figure 4.13. Cross Section of Full-Scale Specimens  
4.4. Material 
4.4.1 Concrete 
The concrete was obtained from a local ready-mix concrete supplier (Lyman-
Richey Co.).  For each pour, three trucks were required to cast the five specimens and forty-
two 6 by 12 in. cylinders which had a target compressive strength of 6,000 psi.  Self-
consolidating concrete was used for the pour for ease of construction.  The mix contains ½ 
in. aggregates (UNO SCC 0.5 LS Mix from Lyman Richey Co.).  Standard compressive 
and splitting-tensile tests for 6 by 12 in. cylinders were performed at 3, 7, 14, 21, and 28 
days after testing.  This information is displayed in Tables 4.1 and 4.2 shown below.  Three 
trucks were needed for a continuous pour, and the cylinder data was collected for each of 
them.  Only compression cylinder data was collected for the concrete from Truck 2. 
Table 4.1. Cylinder Compression and Split Tensile Results for the First Cast 
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Day 
Truck 1 Truck 2 Truck 3 
Compression 
Strength 
(psi) 
Split Tensile 
Strength 
(psi) 
Compression 
Strength 
(psi) 
Compression 
Strength 
(psi) 
Split Tensile 
Strength 
(psi) 
3-Day 4120 -- 4620 4450 -- 
7-Day 4880 460 5120 4960 460 
14-Day 5620 460 5920 6030 410 
21-Day 6230 440 6340 6360 410 
28-Day 6310 450 6590 6430 420 
 
Table 4.2. Cylinder Compression and Split Tensile Results for the Second Cast 
Day 
Truck 1 Truck 2 Truck 3 
Compression 
Strength 
(psi) 
Split 
Tensile 
Strength 
(psi) 
Compression 
Strength 
(psi) 
Compression 
Strength 
(psi) 
Split 
Tensile 
Strength 
(psi) 
3-Day 4420 -- 4170 4220 -- 
7-Day 5060 360 5180 5120 430 
14-Day 5720 440 5860 5530 410 
21-Day 6180 380 6290 5960 340 
28-Day 6350 410 6610 6160 470 
 
4.4.2 Steel 
ChromX 9100 bars from the MMFX Technologies was used for the reinforcing 
steel bars which had a typical yield strength of 130 ksi.  The reason high-strength 
reinforcement was used in this study is because based on a feasibility study conducted by 
e.construct (local engineering firm in Omaha) it was noted that the span length when using 
this reinforcement for short span bridges is comparable to having prestressing strands and 
the span length can increase up to 20-30% with the identical cross section using convention 
Grade 60 steel.  The possibility of using ChromX 9100 steel bars as an alternative to the 
strands in this design was one of the expected benefits for the newly proposed precast 
bridge section. 
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4.5. Construction  
4.5.1 Formwork and Steel Assembly 
The formwork for these specimens was built by a specialized contractor (Hunt 
Construction) and was shipped to the Large-Scale Structures Lab at Peter Kiewit Institute 
at the University of Nebraska-Omaha Campus.  All formwork was shipped in partially pre-
fabricated 8 ft segments as shown in Figure 4.14.  The specialized contractor built the stem 
walls, side walls, flange forms, and supports for the side of the flange.   
 
72 
 
 
Figure 4.14. Formworks for Full-Scale Bridge Specimens 
A base of 4 by 8 ft (3/4 in. thickness) plywood supported by 2 by 4 in. studs was 
built to cover a 12 ft by 56 ft lab space.  The stem walls were then secured to this base and 
kickers were used to secure the top of the stem wall.  The flange form was then attached to 
the stem wall form.  The side walls were attached to the flange form and the kickers were 
placed between the platform base and the top of the side wall forms to secure the top as 
shown in Figure 4.15.  Dividers were then installed along the length of the full form to 
create five 10 ft sections.  The complete assembled formwork with diagonal supports is 
shown in Figure 4.16. 
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Figure 4.15. Full-Scale Formwork Assembly 
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Figure 4.16. Complete Full-Scale Formwork for County Bridge Specimen 
All steel bars were tied by the research team consisting of graduate students and 
faculty members.  No. 11 longitudinal bars which were placed in the stem were built 
outside the formwork with No. 4 transverse reinforcement tied together.  The reinforcement 
cage was then dropped into the stem using the overhead crane.  Top and bottom mat of No. 
4 bars were placed as deck reinforcement to finalize the work.  Figure 4.17 shows a photo 
of the assembled steel reinforcement placed inside the entire formwork.  
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Figure 4.17. Steel Reinforcement Assembly Placed in Formwork 
For the mechanical joint system introduced in a small scale portion of this study, 
the design was slightly changed to incorporate Nelson stud shear connectors welded 45 
degrees to the plate (Figure 4.18) spanning out in longitudinal direction instead of having 
threaded bars.  The reason that the mechanical joint system tested in the previous part of 
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this study was not used in this case was due to the threaded bar material availability at the 
time of testing.  A block out was built around the plates on the side walls.  For specimens 
that were planned to have high performance fiber-reinforced concrete, super high-
performance concrete, or ultra-high-performance concrete in the shear key, holes were 
drilled through the side walls so that the reinforcing bars could pass through creating a 
staggered rebar splice joint. 
  
 
Figure 4.18. Mechanical Joint with 8 in. Nelson Studs 
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4.5.2 Casting, Curing, and Storage 
The following procedure described in this section was identical for both pours with 
three trucks used in each case.  Two people ran the chute and raked concrete while two 
other people ran the screed board.  While this process was going on six people filled the 
test cylinders for all three trucks.  The process was relatively simple with the use of self-
consolidating concrete.    
 
Figure 4.19. Casting Self-Consolidating Concrete for Full-Scale Bridge Specimens  
After the concrete was poured, the casting crew waited until the concrete started to 
set up and ran a bull float over every specimen while also edging as shown in Figure 4.20.  
The team then waited another 45 minutes to set anchors in all four corners of each of the 
specimen.  After the anchors were set and two hours had past, burlap and plastic sheeting 
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was placed on top of the specimens for curing.  Water was applied right before the plastic 
was placed and re-applied every day for the next seven days.  After these seven days, the 
specimens were removed and the formwork and steel reinforcement assembly were 
prepared for the second pour as shown in Figure 4.21.  The test cylinders were all capped 
after they were filled and removed from the forms after seven days to mimic the 
environment of the actual bridge specimen.  All the specimens were kept inside the lab 
until the test program could commence.  
 
Figure 4.20. Finishing the Full-Scale Bridge Specimens  
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Figure 4.21. Steel Assembly for the Second Pour 
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Figure 4.22 shows one of the precast sections taken out from the formwork.  As of 
special note, unlike the concerns of the stability of these cross sections, due to the fact that 
the bottom stem was 14 in. wide and only 28 in. deep, the specimen was standing with no 
further support required.  Figure 4.23 shows the specimens in storage.  These specimens 
will have staggered splice joint.  Considering that No. 4 bars were used for the deck 
reinforcement, the required splice length for conventional concrete to develop 60 ksi in a 
6,000 psi concrete would be approximately 30 bar diameters.  This would require 15 in. 
development length.  As shown in Figure 4.23, note that the splice length is much shorter 
than what would be typically be required at these joints.  This was made possible by the 
use of the high-performance concrete placed in shear keys.   
 
Figure 4.22. Proposed Standard County Bridge Section after Construction  
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Figure 4.23. Test Specimens with Short Splice Length 
4.6. Test Setup and Test Procedure 
The testing rig was setup for a three-point bending test with a hydraulic ram placed 
in the middle of the specimen and supports at the two ends of the specimen as shown in 
Figure 4.24.  However, since two specimens were connected, the stem portion of the 
precast section were placed on four supports.  Each specimen was placed in position using 
the overhead crane in the Large-Scale Structures Lab at the Peter Kiewit Institute in 
University of Nebraska-Omaha campus and the grout for the shear key were cast while 
specimens are placed in testing configuration.  Due to the stroke limitation with the 
hydraulic ram, a steel member and steel plates were placed between the hydraulic ram and 
the specimen.  Load was applied at the interface of the grouted shear key and the slab 
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specimen as shown in Figure 4.25.  The hydraulic loads were applied in a small increment 
during testing until there was a significant drop in load and the specimens were under 
rotation.  Displacement was measured through string potentiometers placed next to the 
shear key in both sides at the location of loading point, quarter point, and at supports. 
 
Figure 4.24. Full-Scale Specimen Test Setup 
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Figure 4.25. North-South and East-West view of the Test Setup 
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4.7. Test Results 
4.7.1 Specimen F-M 
Full-scale specimen with the mechanical joint (F-M) was tested first.  The cylinder 
compression test data can be seen in Table 4.3.  Figure 4.26 is a close-up view of the 
grouted joint during testing.  Similar to the behavior observed with small-scale specimens, 
the first crack initiated at the interface between the grout and the slab specimen.   
Table 4.3. Compression Data for Specimen F-M 
Day 
Compression 
Strength 
(psi) 
3-Day 4290 
7-Day 4850 
14-Day 6030 
21-Day 6350 
28-Day 6840 
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Figure 4.26. Close-up view of the Grouted Joint (Specimen F-M) 
The test was terminated when the specimens were not able to take more load but 
started to rotate creating large deflections at the joint.  Because no neoprene pads were 
supplied at the interface of the steel support and the slab specimens, inclined shear cracks 
were observed in the stem portion of the specimen near the supports and concrete cover 
started to spall off in that location as shown in Figure 4.27.   
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Figure 4.27. Specimen F-M at Failure 
Figure 4.28 shows two photos taken from the bottom of the specimen.  It is 
interesting to note that the shape of the crack close to the interface followed the angle of 
the Nelson-stud shear connectors on the mechanical joint which were placed in 45 degrees.  
After the completion of the testing, the two slab specimens were removed from the test 
setup, and as shown in Figure 4.29, the shape of the grout attached to the mechanical joint 
is the shape of the crack that was observed underneath the slab specimen that is orientated 
based on the shape of the mechanical joint.  It can be concluded that the failure mode was 
governed by insufficient length in development with the 8 in. Nelson studs in the joint 
system introduced in Figure 4.18. 
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Figure 4.28. Close-up view of the Grouted Joint (Specimen F-M) 
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Figure 4.29. Grout Shear Key Bond Failure (Specimen F-M) 
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The load-displacement curve for Specimen F-M is shown in Figure 4.30.  The 
maximum load reached was 25.8 kip and the deflection at this load was 0.45 in.  The tested 
joint moment would be 57 kip-ft (including the self-weight of the half of the flange) with 
the two mechanical connections in the 10 ft specimen.  Each mechanical connection would 
carry approximately 28.5 kip-ft which are spaced at 4 ft spacing.   
 
Figure 4.30. Load-Displacement of Specimen F-M 
4.7.2 Specimen F-UHPC 
The full-scale specimen with the staggered splice joint filled with a commercial 
ultra-high-performance concrete (Ductal - LafargeHolcim) joint was tested (F-UHPC).  
Table 4.4 contains the compression and split tensile test data for 3-in. x 6-in. cylinders.  
Figure 4.31 shows the test setup and loading in process.  Figure 4.32 shows the load-
displacement curve for Specimen F-L-UHPC.   
Table 4.4. Compression and Split Tensile Data for Specimen F-L-UHPC 
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Day 
Compression 
Strength 
(psi) 
Split Tensile 
Strength 
(psi) 
3-Day 10760 770 
7-Day 11570 -- 
14-Day 11820 -- 
21-Day 11430 -- 
28-Day 12590 560 
 
 
Figure 4.31. Test Setup and Loading of Specimen F-L-UHPC 
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Figure 4.32. Load-Displacement of Specimen F-L-UHPC 
With the ultra-high-performance concrete joint, the specimen was able to take 84.7 
kips and the peak deflection was 0.72 in.  After testing reached this maximum load the load 
did not increase and remained at the peak level while rotation was taking place.  The test 
was terminated when cracks on the flange section were seen on the slab and inclined cracks 
were observed at the stem of the slab specimen.  The tested joint moment would be 174.8 
kip-ft (including the self-weight of the half of the flange) for the 10 ft specimen.  This 
would be approximately 17.5 kip-ft per foot length.  Comparing with the mechanical joint 
that was placed at 4 ft spacing, this would be more than two times the joint moment 
observed in the mechanical joint system. 
4.7.3 Specimen F-R-SHPC 
The full-scale specimen with the staggered splice joint filled with a Reno Super-
High-Performance Concrete (F-R-SHPC) joint was tested using a mix that was being 
designed for the Nevada Department of Transportation.  The main difference between the 
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commercial UHPC and this new type of R-SHPC mix is that R-SHPC is a high strength, 
self-consolidating Fiber Reinforced Concrete (FRC) that would significantly reduce the 
cost and production limitations compared to UHPC and can be produced by a conventional 
drum-type mixer.  The width of the joint was 6 in. as opposed to the 3 in. joint for the 
commercial UHPC.  Table 4.5 shows the compression and split cylinder materials testing 
results.  Figure 4.33 shows the test setup and loading in process.  After the testing was 
complete, crack pattern was carefully observed by the research team.  And as shown in 
Figure 4.34 the crack followed a pattern which would typically be observed in yield line 
analysis of two-way slab specimens.  Inclined crack was formed stretching out between the 
load plate and the supports.  Figure 4.35 shows the load-displacement curve for Specimen 
Reno-SHPC.  With the Reno super-high-performance concrete, the specimen was able to 
reach comparable loads with F-L-UHPC (UHPC product commercially available) to 84.5 
kips.  After testing reached this maximum load, the load did not increase and remained at 
the peak level while rotation was taking place as shown in Figure 4.35.  Then, the load 
dropped during rotation and the test was terminated when cracks on the flange section were 
seen on the slab and inclined cracks were observed at the stem of the slab specimen.  This 
was when the steel plates started to punch through the concrete resulting in punching shear 
failure mode.  Comparing with the F-L-UHPC specimen (Figure 4.32), the initial stiffness 
was higher for F-R-SHPC specimen (Figure 4.35).  This can be observed when comparing 
the displacement at specific load levels.  For example, the displacement value at 40 kips 
and 60 kips are lower for F-R-SHPC compared to F-L-UHPC.  However, the displacement 
at yield was both 0.7 in. at yield when load was approximately 85 kips for the two 
specimens.  In addition, the load did not drop until we started to unload the specimen for 
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F-L-UHPC specimen while there was a sudden drop in load while rotation was taking place 
for the F-R-SHPC specimen indicating that the commercial UHPC specimen had better 
ductility than the SHPC specimen. 
Table 4.5. Compression and Split Tensile Data for Specimen F-R-SHPC 
Day 
Compression 
Strength 
(psi) 
Split Tensile 
Strength 
(psi) 
3-Day 4740 -- 
7-Day 6510 690 
14-Day 7610 -- 
28-Day 8360 -- 
 
 
Figure 4.33. Test Setup and Loading of Specimen F-R-SHPC 
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Figure 4.34. Crack Mapping and Failure of Specimen F-R-SHPC 
 
Figure 4.35. Load-Displacement of Specimen F-R-SHPC 
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4.7.4 Specimen F-N-SHPC 
The full-scale specimen with the staggered splice joint filled with a Nebraska-
Super-High-Performance Concrete (F-N-SHPC), a mix that was being designed for the 
Nebraska Department of Transportation was tested.  This mix is also a high strength, self-
consolidating Fiber Reinforced Concrete (FRC) that was developed with material available 
in Nebraska.  Similar to R-SHPC, this mix can easily be produced by a conventional drum-
type mixer and is cost effective compared to the commercial UHPC.  For this test, a 6 in. 
joint was utilized due the No. 4 bars extruding outside the specimens 6 in. long.  The lap 
was only 12 bar diameters with the 6 in. extension, but based on previous studies conducted 
by the FHWA’s Turner-Fairbank Highway Research Center (Graybeal, 2014), this is 
sufficient lap slice length when high performance concrete is used.  This was proved since 
the load-displacement curve generated through this flexural test was beyond yield capacity.  
Table 4.6 shows the compression cylinder test data.  Figure 4.36 shows the test setup and 
loading in process and Figure 4.37 shows the load-displacement curve. 
Table 4.6. Compression Data for Specimen F-N-SHPC 
Day 
Compression 
Strength (psi) 
7-Day 9480 
28-Day 11380 
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Figure 4.36. Test Setup and Loading of Specimen F-N-SHPC 
 
Figure 4.37. Load-Displacement of Specimen F-N-SHPC 
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With the Nebraska super-high-performance concrete, the specimen was able to 
reach up to 84.7 kips which is comparable load achieved by both the F-L-UHPC and F-R-
SHPC specimen.  Similar to the F-R-SHPC, the load was held while rotation was taking 
place and there was a sudden drop in load at 1.1 in. of deflection under the loading point.  
The test was terminated when load was not able to increase again.  The initial stiffness for 
F-N-SHPC and the deflection at yield was similar to the F-L-UHPC.  But, similar to the F-
R-SHPC, this high strength self-consolidating fiber reinforced concrete specimen had less 
ductility than the F-L-UHPC which was able to rotate beyond a deflection of 1.5 in. at the 
location where loading was applied.  
4.7.5 Specimen F-N-UHPC 
The full-scale specimen with the staggered splice joint filled with an Ultra-High-
Performance Concrete (UHPC) using a mix that was being designed for the Nebraska 
Department of Transportation (F-N-UHPC) was tested.  Similar to other high-performance 
concrete specimens, the joint was 6 in. long due to the No. 4 reinforcement extending out 
of the proposed cross section with a lap slice length of 12 bar diameter.  Table 4.7 shows 
the compression and split tensile materials testing results.  Figure 4.38 (a) shows the test 
setup and loading in process.  Figure 4.38 (b) shows the punching shear failure mode 
observed at the top of the specimen where load was applied.   
Table 4.7. Compression and Split Tensile Data for Specimen F-N-UHPC 
Day 
Compression 
(3"x6") 
Strength 
(psi) 
Compression 
(4"x8") 
Strength 
(psi) 
Split Tensile 
(4"x8") 
Strength 
(psi) 
7-Day 11720 -- 1750 
28-Day 14250 16050 1870 
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(a) Test setup (b) After failure 
Figure 4.38. Test Setup and Loading of Specimen F-N-UHPC 
The load-displacement curve for the F-N-UHPC specimen is shown in Error! 
Reference source not found..  Similar to other specimens with super-high-performance 
or ultra-high-performance concrete, the yield load was 84.5 kips.  Of special note, this 
specimen was able to rotate beyond a deflection of 1.5 in. where the load was applied.  The 
testing was terminated due to the inclined cracks shown both on the bottom and the top of 
the specimen following the crack pattern typically estimated in yield line analysis of two-
way slab systems.  Unlike the F-R-SHPC or F-N-SHPC specimens, there was no drop in 
the load until the punching shear failure mode was observed demonstrating good ductility. 
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Figure 4.39. Load-Displacement of Specimen F-N-UHPC 
Figure 4.40 shows the load-displacement curve of all specimens with either super-
high-performance concrete or ultra-high-performance concrete at the transverse joints.  The 
initial stiffness varied between these four specimens with F-R-SHPC having the highest 
initial stiffness, followed by the F-N-UHPC.  The F-N-SHPC, and F-L-UHPC specimen 
had comparable initial stiffness.  Although the initial stiffness of these specimens varied, 
they reached the yield strength of approximately 85 kips. 
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Figure 4.40. Load-Displacement of Specimens with Ultra-High-Performance or 
Super-High-Performance Concrete Joints 
After the specimens reached the yield strength, the two T sections started to rotate 
with increase in deflection at the loading point without any damage observed at the 
transverse joint.  The F-R-SHPC and the F-N-SHPC specimen that were high strength self-
consolidating fiber reinforced concrete specimens developed for Nevada and Nebraska, 
respectively dropped in load capacity as it was pushed down.  In comparison, the two 
UHPC specimens, one being the commercial mix (Ductal – LafargeHolcim) and the other 
being the mix developed at the University of Nebraska-Lincoln, were loaded until punching 
shear failure was observed on the top and bottom of the top flange portion of the proposed 
T section.  The transverse joints were still connecting the two T sections well and the entire 
system was behaving like two-way slab system under the point load at the joint.  Both 
specimens behaved in a desirable behavior with good ductility until failure was reached.         
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4.7 Summary 
Ten full-scale specimens that are 10 ft long were cast to evaluate the joint moment 
strength of various connections.  This would include a mechanical joint, and several 
staggered splice joints with commercial ultra-high-performance concrete (Ductal - 
LafrageHolcim), and super-high-performance concrete or ultra-high-performance concrete 
designed by University of Nebraska with materials available in Nevada or Nebraska.  Two 
proposed T section specimens were connected in transverse direction and tested.  The joint 
moment carried per foot was 2.5 times larger when either the super-high-performance 
concrete or ultra-high-performance concrete was used as the grouting material in the shear 
key compared to the equivalent moment carried by mechanical joint system.  None of the 
specimens with SHPC or UHPC joints failed prior to the T section failure. 
CHAPTER 5. SUMMARY AND CONCLUSIONS 
5.1. Summary and Conclusions of the Longitudinal Joint Testing 
Ten full-scale specimens that are 10 ft long were cast to evaluate the joint moment strength 
of various connections.  This would include a mechanical joint, a staggered splice joints 
with ultra-high-performance concrete (Ductal - LafrageHolcim), Nevada-high-
performance concrete, Nebraska-high-performance concrete, and a UNL UHPC mix.  All 
five connected specimens, one with the mechanical joint and self-consolidating concrete 
grout (Specimen F-M) and the other four with fiber-reinforced concrete (FRC) mixes were 
tested and the results are summarized in this chapter.  The joint moment carried per foot 
was 2.5 times larger when the FRCs were used as the grouting material in the shear key 
compared to the equivalent moment carried by mechanical joint system.  While the high-
102 
 
performance concretes for Nevada and Nebraska showed lower strength than the UNL 
UHPC mix, the end result was the same.  Therefore, it is sufficient to conclude that the T-
sections, and the associated compressive strength and mix, were the limiting factors. It is 
observed that by using an FRC composite, higher strength in the joint can be achieved 
using a staggered splice joint as opposed to the tested mechanical joint with conventional 
concrete. 
5.2. Summary of Post-Tensioning Tests 
The research presented displays various post-tensioning levels used to find the 
optimum post-tensioning level needed to keep the transverse joint in compression such that 
no rebar extension into the joint and splicing are needed. Specifically, a minimum post-
tensioning level was examined for. This was done using a hands-free system called Vic-
3D, that allows data to be collected through pictures. A 32-kip wheel loading was utilized, 
as it was a conservative allowance for a truck wheel loading plus impact. 
Using a post-tensioning system helps to remove the need of coupled rebars at the 
joint. This saves significant amounts of time, resulting in reduced costs in the form of labor 
and traffic delays or detours. Prior to conducting this research, other post-tensioning tests 
were examined, as well as the post-tensioning level that was used or suggested. This 
consideration was incorporated into the testing program, and a minimum level of 250 psi 
of net compression in the joint was examined. 
5.3. Conclusions and Recommendations 
The results from the DIC system indicate a minimum effective prestress (P/A) of 
300 psi is needed to eliminate potential top surface cracks and to control bottom cracks to 
invisible microcracks for simple span bridges. These microcracks were not discernable by 
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the human eye. It should also be noted that most of the tension strain was present at the 
bottom fibers along the joint, the point where the joint and the slab were connected. This 
means that it could be due to insufficient bond strength of the joined materials. 
 The data from the 250 and 200 psi effective prestress show cracking that is visible. 
Cracking at the 250-psi level was hairline, about 0.10 mm or less, with the cracking at the 
200-psi level being only slightly larger, about 0.20 to 0.30 mm. This shows that at even 
this level of post-tensioning, using no joint rebar still creates a good performing joint 
overall. At 150 psi net compression, the crack becomes much larger and starts to have more 
issues. The cracking becomes apparent on the Vic-3D program, and spots stop being read 
due to the crack. Based on the failure loading, the longitudinal cracks that appears shifted 
towards the transverse cracks. It is also observed that the displacement along the Z-axis is 
mostly concentrated along the joint-slab interface. This concludes that the biggest issue 
with this system is on the joint and shear key interface. 
The test results also show that displacement appears to be distributed, showing that 
the slabs move in a composite manner. This is for all testing cases, except when the slabs 
were loaded to failure. The higher net compression still showed a greater distribution of 
displacements though. 
The results from this research give way to other considerations. The biggest one is 
that a different joint material could lead to greater success. For this test, a cast-in-place mix 
of 6,000 psi was used. This concrete was closer to that of conventional concrete. Using a 
higher strength material such as a high-strength grout or a fiber reinforced concrete, such 
as UHPC, could lead to less cracking within the joint and give a higher interface shear 
resistance. If the joint material were to be stronger than the panels themselves, then the 
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amount of stress would likely decrease within the joint and distribute within the deck 
panels.  Consideration should also be given to using an expansion agent in the joint mix, 
or non-shrink grout to enhance the ability of the joint to resist tension due to loading. Also, 
it is possible that sand blasting the precast panel at the joints to expose the aggregates and 
enhance bonding with the joint grout would help enhance the resistance to cracking.  It 
should again be noted that for continuous spans, a greater level of post-tensioning is needed 
due to the high negative moment region. 
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